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SEISMIC SOIL-PILE INTERACTION: PHYSICAL PROCESSES AND
ANALYTICAL MODELS
Sanjeev Malhotra, P.E., G.E.
Professional Associate,
Parsons Brinckerhoff, Inc.
One Penn Plaza
New York, NY 10119
USA

ABSTRACT
Seismic soil-pile-structure interaction (SSPSI) is a complex process involving several, simultaneously occurring and, sometimes
compensating phenomena. The physical processes that occur in the soil when a pile supported structure undergoes earthquake loading
consist of pore-pressure generation, ground deformation and subsequent cyclic degradation, strain rate effects and gap-slap
mechanism. Modeling these physical phenomena numerically is a challenge. Of the various approaches available in practice, the p-y
method for evaluating lateral pile response is by far the most common. However, at present, a consensus has not been established
among practitioners on the appropriateness of using p-y curves for post-liquefaction analyses. This paper presents a discussion of
available models and modifications to p-y relationships used to model soil response under seismic conditions. Predictions made with
these models are then compared with actual load test data performed by others. It is concluded that further research is needed to
quantify and predict gap formation, the stress-strain behavior of liquefied soils and to accurately evaluate non-linear bending
resistance of steel encased concrete sections.

INTRODUCTION
Experiences from earthquakes in the past 20 years have led to
considerable advances in analysis of geotechnical site
conditions and to greater recognition of how site conditions
influence strong ground motion characteristics in designing for
structures. While improved methods of modeling free-field
site effects are now available, methods to predict the behavior
of soil-pile-structure systems undergoing seismic excitation
are still a problem area. The presence of piles beneath a
structure can significantly influence the overall response of the
composite soil-pile-structure system, particularly in cases
where the site consists of deep soft soil deposits. In addition,
deformations and displacements within these soil layers can be
large enough to threaten the integrity of the piles themselves.
With increased awareness of seismic issues and several major
bridge projects underway in the United States, this topic is of
considerable interest. Thus the overall seismic response of the
soil-pile-structure is still an area of continued study.
The first objective of this paper is to describe the physical
processes that occur when a pile supported structure is
subjected to seismic loads and to elucidate the individual
effect of each process on the lateral response of the piles.

The second objective of this paper is to describe available
analytical models used to evaluate piles subjected to seismic
loads in liquefiable soils. Predictions made with various
available models are compared with actual load test data at two
sites.
Of the various approaches available in practice, the p-y method
for evaluating lateral pile response is by far the most common.
However, a consensus has not yet been established among
practitioners on the appropriateness of using p-y curves for postliquefaction analyses. The basis of most p-y analyses is a
degraded form of the API (1995) p-y curves. The API
recommended soil response curves (p-y curves) for static and
cyclic lateral loads have been derived from load tests on piles
with diameters up to about 0.76 m. However, available p-y
curves for cyclic loads are derived from slow-cyclic tests on
piles, the actual earthquake loads occur at a much faster rate
without sufficient time for pore-pressure dissipation. In the
cases where seismic excitation has triggered liquefaction or
generated excess pore pressures leading to a reduction in
strength, the selection of p-y curves becomes even more
difficult. The occurrence of free-field strains due to ground
motion, near-field strains due to motion of the structure under
inertial loads and differential strains induced at the interfaces
between layers of differing stiffness make the matter even more
1

complex. In this paper, the physical processes are first
described followed by a description of available p-y based
analytical models. Their predictions with field measured
lateral load test data are then compared.
PHYSICAL PROCESSES
Seismic soil-pile-structure interaction (SSPSI) is a complex
process involving several simultaneously occurring and
sometimes compensating phenomena as shown schematically
in Figure 1. To better appreciate SSPSI, the physical
processes that occur when a pile supported structure is
seismically loaded are first categorized on the basis of where
and how they occur. On the basis of where they occur, these
processes can be categorized into far-field effects and near
field effects. Far field effects consist of pore pressure
generation
(including
possible
liquefaction),
shear
deformation and subsequent cyclic degradation. Near field
effects include strain rate effects, cyclic degradation, and gapslap-scour around the pile.
On the basis of how they occur, these physical processes are
also categorized into inertial, kinematic and radiation modes.
Inertial mode refers to foundation movements and pore-water
pressures generated by the response of the structure to inertial
forces. Kinematic mode refers to the response of the pile to
ground movements caused by the earthquake. Radiation mode
refers to how stress waves from the far field interact with the
foundations. All these effects may occur simultaneously and
modify the axial and lateral response of the pile foundations.
Next we examine each component separately and evaluate its
effect on SSPSI.

Far-field Effects
When stress waves that are generated from a seismic source
(fault) propagate through the geologic media they cause shear
deformations and generate excess pore pressures. These ground
deformations are termed as far field motions. These far-field
motions are also termed as free-field motions since they are
considered far enough from the foundation that they are
virtually unaffected by the presence of the foundation. These
ground deformations tend to dominate pile behavior at depth
where the piles deflect along with the ground deformations
occurring at that depth. They are usually modeled in a onedimensional fashion based on the assumptions that the soil and
bedrock extend infinitely in the horizontal direction and the
response of a soil deposit is predominantly caused by shearwaves propagating vertically from the underlying bedrock.
Far field effects associated with earthquake loading include
general and sustained increases in pore pressures in sands,
especially near the mudline and a degradation in shear modulus
of the soil. Since the lateral response of piles depends on the
soils in the upper five to eight diameters, these pore pressures
may result in a reduction of foundation stiffness.
Inertial Mode
When seismic waves generated in the free field encounter a
structural foundation with stiffness characteristics differing from
the surrounding soils, the incident waves reflect and refract from
the structure foundation resulting in motion of the foundation.
The motion of the foundation in turn generates inertial forces
and motions in the superstructure, which further alter the
motions of the foundations and the surrounding soils.

STRUCTURE

KINEMATIC MODE
INERTIAL MODE
RADIATION MODE

STATIC LOADS
INERTIAL LOADS
CAP SOIL INTERACTION

PILE

INSTALLATION EFFECTS
DOWNDRAG
GAP/SLAP/SCOUR

NEAR FIELD
SOIL-PILE SLIPPAGE
PORE PRESSURE GENERATION
NEAR FIELD LIQUEFACTION

FAR FIELD
FREE-FIELD GROUND DEFORMATION
PORE PRESSURE GENERATION

P-Y RESPONSE
T-Z RESPONSE

SURFACE WAVES

SHEAR WAVES

EARTHQUAKE EXCITATION

Fig. 1: Physical Processes during Seismic Soil-Pile-Structure Interaction
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Thus the structural response is essentially due to inertial
effects. The superstructure when subjected to the vibrations
from the ground but may amplify or damp the input motions
depending upon its own vibration characteristics. Inertial
effects generally tend to dominate soil-pile interaction at
shallower depths. Moreover, since peak loads generally occur
early in an earthquake time history, inertial forces typically
peak earlier in the earthquake cycle.
Kinematic Interaction Mode
Kinematic interaction is the seismic response of the soil
profile transmitted to the pile foundation, which attempts to
deform with the soil, and results in the superstructure
experiencing a different ground motion than the “free-field”
soil. Kinematic interaction with the deforming free-field soil
mass or lateral ground movements can impose significant
curvature and lateral force on the pile foundation. Kinematic
forces on the pile will vary with the magnitude of ground
deformations and strength/stiffness of the soil. Two loading
scenarios can result from ground movements. In the first
scenario, the surface soils liquefy and flow towards the pile
resulting in additional passive forces on the pile. The more
critical case, however, is when a non-liquefied crust rides atop
the liquefied layer. In this case significant passive forces can
be generated on the piles quickly overshadowing any
uncertainty with reaction from the liquefied strata. Therefore,
pile analyses would include either a distributed passive force
from the spreading soils or by imposing the estimated ground
movements on the pile. Liquefaction, and consequently
ground slippage or lateral spreading would occur after several
cycles of an earthquake time history. Accordingly the peak
inertial forces and kinematic forces may not occur at the same
time.

Near Field Effects
Effects that occur immediately adjacent to the pile are termed as
Near-Field Effects. These effects usually would consist of (1)
Strain-rate effects, (2) Cyclic Degradation, (3) Gap/slap
mechanism, and (4) Pore Pressure generation.
Strain Rate Effects: The effects of strain-rate on the undrained
shearing strength of soils have been documented extensively
(Kulhawy and Mayne, 1996, Briaud and Garland, 1985;
Leroueil and Marques, 1996, and, Lefebvre and LeBoeuf, 1987).
They found that undrained shear strength of clay increases by
about 10 percent with every tenfold increase in strain rate. This
is an important phenomenon that must be addressed in any pile
test where capacity is derived from clays. Clays have
consistently been shown to exhibit significant “rate effects”,
while with sand this phenomenon is less pronounced. For
granular soils, strain rate effect is considered to be negligible as
observed in numerous tests.
For piles in clays, these effects have been measured by model
tests and full-scale load tests (Bogard and Matlock, 1990 a, b,
c). They conducted cyclic load tests in situ on 76 mm model
pile segments and full-scale (0.76 m diameter) piles and
concluded that the increase in skin-friction is a viscous
phenomenon that becomes tangible when the slippage between
the pile and the soil is faster then 0.0254 mm/second. Figure 2
presents comparison of the measured values of skin friction
capacity at various loading rates.

At low levels of shaking, kinematic interaction is seen to
dominate the system response; period lengthening and
increased radiation damping of the system are responsible for
dissipating energy and deamplifying motions up to the
resonant period. With the onset of stronger shaking, near-field
soil modulus degradation and soil-pile gapping limit radiation
damping, and structural inertial forces predominate, lessening
the effects of spectral deamplification. As system components
yield, the system period further lengthens and radiation
damping is effectively reduced.
Radiation Damping Mode
Radiation damping occurs because of the stiffness contrast
between the soil and pile. Since pile materials are stiffer than
soil the pile vibrates at much higher frequencies than the
surrounding soil. Because the soil is in contact with the pile,
the pile forces the soil to also vibrate at these high frequencies,
resulting in the transmission of high frequency energy into the
surrounding soil. Radiation damping is most pronounced at
high frequencies and low levels of soil damping, and cannot
propagate through “gaps” opened between the pile and soil.
The pile cap if embedded in soil can also be an important
source of radiation damping (Meymand, 1998).
Paper No. 5.17a

Fig. 2: Rate Effects in t-z curves (Bogard and Matlock, 1990a,
b, c) (Printed with permission from OTC)
One would expect similar increase in lateral resistance due to
the strain rate effect. However such increases are usually
overshadowed by a decrease in resistance due to pore pressure
generation, gapping and cyclic degradation.
Cyclic Degradation: In the process of developing design criteria
for tension-leg platforms offshore, the subject of cyclic
degradation has been researched extensively by Bogard and
Matlock. They concluded that a pile when subjected to cyclic
loads experiences with each cycle a reduction in resistance.
Much of the reduction in resistance occurs within the first 5 to
3

10 cycles. However, the reduction in resistance to occur a
threshold level of displacement has to be exceeded. A
summary of data based on 3-inch diameter pile-segment tests
at Empire, Louisiana, reported by Bogard and Matlock (1990)
is shown in Figure 3.

deeper depths can have an adverse effect on the axial pile
capacity.

A similar degradation of the soil-pile resistance would occur
for earthquake loads. Typically earthquakes would cause
several (ten to twenty) cycles of loading during which much of
the cyclic degradation could occur. Data from cyclic load
tests indicate that cumulative pile head deflections can become
very large for a large number of cycles at high cyclic stress
levels (McClelland and Cox, 1976).
Fig. 4: Gap/Slap Mechanism
Experimentally derived response of unconfined and confined
clay to cyclic loads is shown in Figures 5 and 6, respectively.
The dashed p-y curve in Figure 6 represents the pile response
under static loads, while the soil curves represent the cyclic
conditions. Clearly, the lack of confinement has a significant
influence on the soil-response, which is characterized by
increased hysteria, a reduction in stiffness and decreases in peak
strengths. While the effects of gap formation are identifiable it
is still difficult to ascertain the magnitude of gapping and timing
of occurrence with respect to peak earthquake loading.

P

Y

Fig. 3: Cyclic Degradation (Bogard and Matlock, 1990a)
(Printed with permission from OTC)
Available data also indicate that significant degradation can
occur with cyclic loading of piles in sands. Prakash (1962) in
his Ph.D. dissertation performed static and cyclic tests on
groups of model piles embedded in sands. One of his
observations was that the effect of cyclic loading was to
increase, at a decreasing rate, the deflections and moments
under a constant load level. Model tests performed by Chan
and Hanna (1980) showed significant loss of resistance
reflected by rapid increases in pile displacement under cyclic
loads that are a fraction of the static load capacity. The
degradation of pile resistance to cyclic loading is attributed to
increases in induced pore pressure, destruction of interparticle
bonds, realignment and rearrangement of the soil particles.
All these factors combine to reduce the lateral earth pressure
and the side friction on the pile. For foundations located in
earthquake prone areas and subjected to continual cyclic loads,
pile head displacements could accumulate and lead to
significant modification in the pile response.
Gap/Slap Mechanism: Cyclic loading from an earthquake
produces pile motion in opposing directions with the pile and
soil moving in or out of phase. When the soil starts deforming
beyond the elastic range, the contact between the adjacent soil
is reduced, effectively forming a gap between the pile and the
soil (Figure 4). When gapping occurs at shallow depths, it can
reduce the lateral resistance of the piles. Such gapping at
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Fig. 5: Unconfined Soil Response Fig. 6: Confined Soil
Response
Near-Field Pore Pressure Generation: Immediately adjacent to
the pile pore pressures typically increase due to pile-soil
slippage. Full-scale vibratory pile tests conducted at Long
Beach, California, have shown that the p-y response under fastrate vibratory loading could be much softer than static p-y
response (Scott, et al, 1982). This softer response has been
attributed to pore-pressure generation and gapping. The pore
pressures increase because of inertial loading from the
superstructure on the foundation. These increases in pore water
pressure result in a decrease in vertical effective stress and a
consequent decrease in shear strength resulting in a softer lateral
p-y response and axial t-z response.
LATERAL PILE RESPONSE
For earthquake conditions, there are two mechanisms that could
act on the pile foundation: (1) inertial load from the
superstructure, where the soil-pile interaction is confined to the
upper five to ten diameters below the ground surface; and, (2)
pile curvature due to kinematic interaction with the deformation
of the free-field soil mass which usually extends to a greater
depth. In many earthquakes where liquefaction occurs, the soil
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may not liquefy until the end of the earthquake. Therefore,
during an earthquake piles may still be able to rely on the
vertical and lateral support of the soil in the potentially
liquefied zone. However, due to uncertainties as to exactly
when liquefaction may occur, it is prudent to assume that
occurrence of liquefaction would lead to loss of soil strength
and consequently a reduced pile resistance.
If lateral
spreading were to occur, the deformations also would
significantly affect the pile head response based on the
location of the basal slip-plane with respect to the pile head,
the pile length and overall geometry. Lateral spreading could
induce significant curvatures in the pile leading to failure by
bending. In addition, as in the case of static loading, pile head
restraint will also significantly affect pile response. Gapping
can also affect pile response. Gap formation is not only
dependant on the lateral load level but is also associated with
sand boils resulting from escaping excess pore water pressure
caused by liquefaction finding a preferential escape route
along the pile soil interface. However, gapping resulting from
liquefaction is likely to occur only after several cycles of
earthquake loading and after the occurrence of peak
earthquake load. The uncertainty related to the timing and
magnitude of gap formation remains and requires judgment to
be made by the engineer. In summary, the lateral pile
response is affected by cyclic degradation, pore pressure
generation and loss of resistance due to gap formation near the
mudline. The following sections address available analytical
models and compares their predictions with field measured
lateral load test data.

p-y data in liquefied sands (Liu and Dobry, 1995; Boulanger, et.
al. 2004).
Cyclic p-y Curves for Soft Clay

AVAILABLE MODELING METHODS

Fig. 7a: Static P-Y Curves for soft clay (Matlock, 1970)

What follows is a discussion of the available modifications to
p-y relationships used to model soil response under seismic
conditions. The p-y response of liquefied sand is significantly
affected by relative density, drainage conditions, cyclic
degradation, loading rate, and excess pore pressures. Some of
these modifications incorporate strength degradation due to
either cyclic loading or generation of free-field excess pore
pressure, they neglect pore pressure increase due to inertial
loading.
Some researchers (Byrne, 1990) have developed p-y curves
for liquefied soils by assigning liquefied soil an undrained
shear strength and computing an ultimate lateral capacity. The
major limitation of this approach is the development of the
initial backbone of the p-y curves. In other words, one cannot
define a p-y curve of a liquefied soil unless the stress-strain
behavior of the liquefied soil has been defined first and the
extent of gap formation that may occur is established. Other
researchers have modeled piles in liquefied soils using
Matlock (1970) soft clay criterion with an assigned undrained
shear strength equal to 10 percent of the effective overburden
stress or by using the correlation with SPT N-values
established by Seed and Harder (1990). Others have reduced
the effective unit weight to model pore pressure generation
and used traditional p-y curves (Martin, 1979). Yet others
have performed model pile load tests in a centrifuge to obtain
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The available p-y curves for cyclic loads are derived from slowcyclic tests with each cycle lasting several hours which allowed
ample time for pore pressure dissipation. However, some
gapping and cyclic degradation was observed in these tests.
Therefore, the cyclic p-y curves have inherent in them the
effects of gap formation and some cyclic degradation, but the
effects of pore water pressure generation are not included.
Although the cyclic p-y curves have inherent in them some soil
degradation and gapping considerations, these curves are
intended for pseudo-static analyses and the soil resistances are
those that can be mobilized at the peak design loads. However,
they do not represent the soil resistances that can be mobilized
at subsequent cycles of loading at smaller deflections and the
curve shapes do not represent the actual loading path. Neither
do they represent the proper stiffness in an actual time history
analysis.

Fig. 7b: Cyclic P-Y Curves for soft clay (Matlock, 1970)
For soft clays, cyclic and the static p-y curves (Figures 7a, and
7b) are identical up to a displacement equal to 3y50, where y50 is
defined by the equation: Y50 = 2.5 ε50 D, where ε50 is the strain
at one-half the maximum deviatoric stress in an undrained
compression test of the soil sample; and D is the pile diameter.
The above comparison between the static and cyclic p-y criteria
reveals that the cyclic p-y criteria recognize that the gapping and
cyclic degradation effects would be negligible at deflection
levels below 3y50. Whether or not the p-y curves for earthquake
loading follow the same path as the slow-cyclic p-y curves is a
matter of debate which is being resolved by actual load test
comparisons. Findings by Brandenberg et. al. (2001) indicate
uncertain results associated with standard cyclic p-y curves for
earthquake shaking. The gap formed between pile and soil
resulting from cyclic earthquake loading and ground
deformations is difficult to quantify and is sometimes arbitrarily
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selected as the maximum deflection of the pile under a load
from the previous cycle.
P-y curves based on degraded strengths due to pore pressure
increase
A rational approach for modeling p-y curves for liquefied soils
developed by Liu and Dobry (1995) showed promise. In a
centrifuge, they first subjected loose sand to seismic shaking
to generate pore pressures. Then they immediately performed
a cyclic lateral load pile test before the pore pressures could
dissipate. The p-y curves developed from such load tests were
compared with static p-y curves for unliquefied sands to
develop scaling factors for various pore pressure ratios as
shown in Figure 8.

response in centrifuge tests was deformation hardening
especially when displacements exceeded past displacement
values. They attributed this behavior to dilative response of the
soil under nearly undrained loading conditions. Researchers
(Ashford and Rollins, 2000) have conducted lateral pile loads
tests immediately preceded by explosion-induced liquefaction at
Treasure Island, California. However, the cyclic load tests were
limited by the frequency of the hydraulic actuator to less than
0.25 Hz, which may be too slow to be representative of
earthquake loading. At the Treasure Island tests, sand boils with
escaping water and sand were observed around the test pile. It
appears that the soil-pile interface provides a preferential path
for the dissipating excess pore water pressures. The observed
sand boils likely contribute to gap formation which is further
exacerbated by lateral movement of the pile.

y(mm)
y(mm)
Fig. 9: Comparison of field measured p-y curves and degraded
API p-y curves for liquefied soils (Weaver et. al. 2001).

Fig. 8: Degradation Coefficient vs. Pore Pressure Ratio
(Dobry & Liu, 1995) (Printed with permission from MCEER)
For design purposes one can determine the pore pressure
associated with free-field site response analyses and use the
degradation coefficient from Figure 2 to be applied as a pmultiplier to represent seismic conditions. For the case where
soil is completely liquefied, i.e., the pore pressure ratio is 100
percent, the degradation coefficient is 0.1. This means that the
static p-y curve will be reduced by 90 percent. For loose
sands with fines content the pore pressure ratio would be
lower than 100 percent which would lead to less degradation.
These degradation factors appear to be the most
comprehensive to date. Inherent in these degradation factors
are the effects of pore pressure generation from both free-field
and near-field inertial loading, gapping effects and cyclic
degradation.

For the tests performed at Treasure Island, the p-y curves back
calculated for fully liquefied sand (Figure 9) differ significantly
in shape from the modified API p-y curves (Weaver et al.,
2001). The slope of standard p-y curves is greatest at small
displacements and tends toward zero as displacements increase
and the ultimate soil resistance is reached. On the other hand,
for liquefied soils, the initial slope of the p-y curve is smallest
(almost zero) initially and increases with pile displacement
(strain hardening). These p-y curves show an increase in soil
resistance at displacements as great as 150 mm without any sign
of reaching an ultimate resistance. In fact, at shallow depths,
beyond certain pile displacements liquefied soil resistance
exceeded the resistance estimated by the modified API p-y
curves (Weaver et al., 2001). The concave upward shape of the
Treasure Island p-y curves is consistent with that of typical postliquefaction undrained stress-strain curves for sand (Figure 10).

P-y curves based on Post-Explosion induced Liquefaction
Lateral Load Tests
On the one hand several researchers (Wilson, 1998, and
Boulanger et. al, 1999) have attempted to back-calculate time
histories of p-y response from centrifuge experiments, others
(SM&E, 2001) have conducted tests using explosion induced
liquefaction immediately followed by Statnamic lateral load
testing. Boulanger et. al. (2004) report that the observed p-y
Paper No. 5.17a

Fig. 10: Typical stress-strain response for liquefied sand
(Yasuda, et. al 1999).
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In addition, gap formation may also have contributed to the
observed pile response at small displacements. Using data
from Treasure Island tests, Rollins (2005) developed the
following expression to represent p-y curves for liquefied
sand:
P (kN/m) = A (By)C pd
where,
A = 3×10-7(z+1)6.05
B = 2.80(z+1)0.11
C = 2.85(z+1)-0.41
z = depth (m)
d = pile diameter (m)
y = pile deflection (mm)
Pile Diameter Correction, pd = 3.81 ln d +5.6
This equation was developed for sands with relative density of
about 50 percent. Sands with relative density less than 35
percent were found to yield no resistance.
Lateral Pile Response from the Strain Wedge Model
The strain wedge model developed by Ashour et. al. (1998) is
yet another approach to analyzing pile response to lateral
loads. Although it is similar to the solution for computing
ultimate lateral pile capacity as explained by Reese et. al., the
strain wedge model focuses on the soil response through the
process of soil strength mobilization and passive wedge
formation rather than on the pile response measured at a few
load tests in the field. In this model, the depth of the soil
wedge depends on bending stiffness of the pile, the pile head
fixity condition, and level of loading. The width of the soil
wedge depends on the diameter of the pile. In other words,
the strain-wedge model incorporates pile size and shape. The
stress-strain characteristics of liquefied sand are also required
with the strain wedge model. Ashour and Norris (2003)
developed generalized equations for isotropic consolidation
and cyclic drained and undrained stress-strain behavior of
sand for full and limited levels of liquefaction. The input
parameters include ε50, original vertical effective stress, and
the angle of internal friction, the peak ground acceleration and
earthquake magnitude. Computer program DFSAP is based
on the strain wedge model and is finding increasing use in
practice. However, as with other models, gapping effects are
equally difficult to quantify in the strain wedge model.

and steel casing and the level of strain and cracking induced in
the confined concrete during flexure. Bending stiffness derived
from strain gage data installed on reinforcement does not
provide information on bond slippage or level of cracking in the
concrete. Therefore, for design purposes the flexural moment of
inertia of the pile can be obtained for two cases, 1) an upper
bound value assuming full concrete-steel bond and some degree
of cracking in concrete, 2) a lower bound value assuming no
bond between steel and concrete and a cracked concrete section
obtained by simply adding the moment of inertia of the steel
casing to that of the cracked concrete section. For more
sophisticated analyses, such as for evaluating lateral load test
data and developing p-y curves, a non-linear material model of
confined concrete and steel, incorporating tensile cracking in
concrete at pre-established levels of strain, and strain hardening
beyond yield can be employed. The flexural stiffness (EI) of a
laterally loaded shaft is a function of the moment-curvature, MΦ relationship along the length of the shaft. Consequently,
those portions of the shaft subjected to higher bending moment
experience a greater reduction in bending stiffness. Such
behavior is highlighted at higher load and displacement levels.
Therefore, non-linear modeling of shaft material should be
employed to make better predictions of moment and shaft
deflection especially over large ranges of shaft-head deflection
and curvatures.
Various stress-strain behavior models for steel and concrete
have been developed. For steel, these include: 1) a bi-linear
elastic plastic model (Figure 11a), and 2) a strain hardening
model, developed by Park et. al, 1988 (Figure 11b).

Fig. 11. (a) Elastic-Plastic Stress Strain Curve for Steel in
LPILE and DFSAP

ESTIMATING PILE FLEXURAL STIFFNESS
It is well known that the response of a long pile to lateral
loading depends to a large extent on the pile head condition
and the structural flexural resistance of the pile, especially in
the upper portion. Moreover, since many test shafts involve a
steel casing in the upper portion and the determination of the
flexural resistance of such composite sections may not be
entirely accurate, it is likely that uncertainties in modeling pile
head restraint and pile flexural resistance may somewhat
overshadow uncertainty in soil response. Two sources of
uncertainty in evaluating flexural stiffness of steel encased
concrete shafts are the degree of bonding between concrete
Paper No. 5.17a

Fig. 11 (b) Stress Strain Curve for Steel with strain hardening in
FBPier (Park et al. 1988)

The bi-linear model employs a linear elastic portion till the yield
strain (εy = fy/E) followed by purely plastic deformation with no
set limit. The behavior is similar in both tension and
compression. For most purposes, the bilinear model works well.
However, nowadays for seismic analyses reinforcing steel is
7

modeled with a stress-strain relationship that exhibits an initial
linear elastic portion, a yield plateau, and a strain hardening
range in which the stress increases with strain. The yield point
is defined by the expected yield stress of the steel fye. The
length of the yield plateau is a function of the steel strength
and bar size. The strain-hardening curve can be modeled as a
parabola or other non-linear relationship and should terminate
at the ultimate tensile strain εsu. The ultimate strain is set at
the point where the stress begins to drop with increased strain
as the bar approaches fracture.
For concrete, available stress-strain models include: 1)
unconfined concrete developed by Hognestad (1954) (Figure
12a), 2) Mander's model for confined concrete (Figure 12b),
and 3) the Modified Mander's model for doubly confined
concrete developed by Priestley et. al. (1988).
Mander's Model for Confined Concrete
Effective
confinement, accomplished by the use of internal hoops or
spiral reinforcement, or an external steel casing has been
shown to considerably enhance the compressive strength and
ductility of reinforced concrete and corresponding increases in
the axial, flexural strength and ductility of reinforced concrete
piles. In the case of internal reinforcement, the concrete cover
remains unconfined and becomes ineffective after the
maximum compressive strain of the concrete has been
attained, but the confined core continues to carry stress at high
strains. The compressive stress-strain response used for the
core and cover concrete can be obtained by the Mander model
for confined and unconfined concrete, respectively. In
Mander’s model the ultimate concrete strain is a function of
the confinement steel.
Modified Mander's Model For cased shafts, the steel casing
provides confinement to the cover concrete and the inner
concrete core is doubly confined by the internal circular hoop
or spiral reinforcement and the external casing.
The
compressive stress-strain response used for the core and cover
concrete can be obtained by the Modified Mander model,
developed by Priestley et al. (1988) which accounts for the
confining effects of the external shell. Computer program
LPILE V5 uses the conventional concrete model and an
elastic-plastic model for steel. On the other hand computer
program DFSAP incorporates the Mander model for confined
concrete and an elastic-plastic model for steel.

εo = 0.0003; ε = 0.0038
Fig. 12 (a) Stress Strain Curve for Concrete used in LPILE
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Fig. 12 (b) Mander Model for Confined Concrete in DFSAP
Neither computer program LPILE (based on p-y curves) nor
DFSAP (strain wedge model) employ the modified Mander
model for confined concrete or the strain hardening model for
steel (Park et. al. 1988). To enable a proper comparison of
various soil response models, a comparison of the structure
response models should first be made.
COMPARISON WITH FIELD LOAD TEST DATA
In this section various prediction methods described earlier are
applied to lateral pile load tests performed at the Treasure Island
test site in San Francisco and the Cooper River Bridge site in
Mount Pleasant, South Carolina.
Treasure Island Tests
Treasure Island is a man-made island constructed in the 1930's
by hydraulically filling dredged material from the Sacramento
River over the shoals of the adjacent Yerba Buena Island, in San
Francisco Bay, California. The hydraulically placed sand
deposit is relatively loose and susceptible to liquefaction as
observed during the 1989 Loma Prieta Earthquake. An
idealized soil profile at the site is shown in Figure 13. Starting
at the ground surface (Elevation +3.4 m), the test site is
underlain by 1.5 m thick deposit of medium dense sand, which
in turn is underlain by a 4 m thick deposit of loose saturated
sand overlying a 3.5 m thick clay layer underlain by a gray loose
sand deposit till elevation -10.4 m. The loose sand deposit
overlies Young Bay Mud which extends till El. -15 m, the
bottom of the bore hole. Ground water was encountered at an
elevation of +1.9 m. Pile construction was carried out by first
driving a 0.61 m outer diameter steel shell with 13 mm thick
wall to an elevation of -11.5 m followed by excavating the soil
inside the shell to allow for placing reinforcing steel (nine 29
mm steel bars, with a 9.5 mm spiral @ 114 mm pitch) and
concrete. A cross section of the cast-in-steel-shell pile (CISS) is
shown in Figure 14.
Test Details: The pile was instrumented with strain gages
attached to the rebar at intervals of 0.3 m till depth of 3 m, at 0.6
m till depth of 6 m, and at 1.2 m till a depth of 12 m. Pore
pressure transducers were also placed near the pile and at a
radial distance of 4.2 m from the pile at depths ranging from
1.21 m to 4.87 m below the ground surface. The test program
consisted of performing displacement controlled cyclic lateral
8

4.5E+05

Bending Stiffness, EI (kN.m2)

load tests, by applying a load on the pile head 1 m above the
ground surface, both before and after inducing liquefaction.
Pre-detonation tests involved displacing the pile head up to 38
mm laterally. Liquefaction was then induced around the pile
by detonating explosives at a radial distance of 2 m from the
pile at a depth of 3.2 m below the ground surface. Postdetonation cyclic lateral load tests were then performed by
laterally displacing the pile head in one cycle of 75 mm, one
cycle of 150 mm and eleven cycles of 225 mm, at a rate of 10
mm/s. Further details of the load tests are provided in Weaver
et. al. (2001).

LPILE ANALYSES
DFSAP ANALYSES

4.0E+05
GROSS EI

3.5E+05

3.0E+05

CRACKED

2.5E+05

2.0E+05

1.5E+05
0

500

1000

1500

2000

2500

Bending Moment (kN.m)

Pile Length = 14.80 m
Pile Diameter = 0.610 m
fy = 414000 kN/m2
fc = 34444 kN/m2
Fig. 14: Cross Section Details of 0.6-m CISS Pile (Weaver et.
al., 2003)

Fig. 13: Soil Profile for Treasure Island 0.61 m CISS pile test
site (Weaver et. al. 2003)

Back Analyses: Parameters assigned to various strata are
presented in Table 1. Post-liquefaction shear strength was
obtained from correlations with median overburden corrected
SPT N-values using procedures established by Seed and Harder
(1990). Parameters such as subgrade modulus parameter and ε50
required for laterally loaded pile analyses were obtained from
available recommendations by Ensoft (2000) and Singh et. al.
(2006). For the current study of the Treasure Island test pile an
evaluation of the non-linear moment curvature dependent
bending resistance (EI) was made for the given pile crosssection, using computer program LPILE and DFSAP, as shown
in Figure 14. The EI values are generally similar for the larger
bending moments but differ somewhat in the smaller range of
bending moments. Approximate values of effective bending
stiffness computed for the gross and cracked cross-sections are
also included in Figure 14.

TABLE No. 1: Soil Parameters for Treasure Island Tests
Depth
(m)

Soil Type

Average
SPT Blowcount
(blows per 0.3m)

Moist Unit
Weight
(kN/m3)
1

Angle of
Friction
(deg)

Undrained
Modulus
Shear
k
Strength (kpa) (kN/m3)

ε50

2

6790

---

0-0.5

Brown Sand (SP)

16

18 (8)

33

--

0.5-4.5

Brown Sand (SP)

11

8

31

142

5430

4.5-8.2

Gray Clay (CL)

4

7

--

20

--

2

8.2-12.7

Gray Sand (SP)

5

7

28

5

12.7-18.2

Gray Clay (CL)

4

7

--

20

5430
--

0.015
-0.015

1

Submerged unit weight after the ground surface is submerged by the escaping water
Undrained Shear Strength for liquefied sand based on correlations with N-value by Seed and Harder (1990).
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Fig. 15: Comparison of Pre- and Post-Liquefaction Pile Head Response predicted using various methods with that observed at
Treasure Island Test Site.
Discussion of Results: Presented in Figure 15 (a) are the
observed and predicted pile head response using the
parameters outlined in Table 1 and various available methods,
including conventional p-y solutions using computer program
Paper No. 5.17a

LPILE (Ensoft, 2007) with degraded p-y curves for sand, soft
clay p-y criteria with post-liquefaction undrained shear strength,
field measured p-y curves back-calculated from the Treasure
Island tests (Weaver, 2001) and the strain wedge model using
10

computer program DFSAP. From Figure 15a it is evident that
all the predictions match the observed response relatively well.
Beyond a certain deflection level (25 mm), soft clay p-y
criteria and, degraded sand criteria predict a somewhat softer
response than observed.

Classification System. The undrained strengths of Cooper Marl
ranged between 85 kPa to 190 kPa at the top of the layer and
increasing with depth to a value between 190 and 275 kPa at a
depth of about 46 m. Ground water was encountered at 1.5 m
below ground surface.

Predictions with the strain wedge model appear to be quite
close to the measured pile head response. For the seventh load
cycle (Figure 15b), none of the predictions seem to match the
measured response. One reason for the poor correlation
appears to be gap formation. Once the p-y curves in the upper
portion of the pile are offset by the amount of observed gap,
the available methods would generally match the observed
response. Per the load test report, by the seventh load cycle
the upper unsaturated layer of soil became submerged and
sand boils began to develop and water was observed escaping
around the pile. A gap between the pile and soil was observed
after the initial load cycles, however after escaping water
submerged the ground, the gap was no longer visible and no
effort was made to record its dimensions. It is likely that
escaping water sought a preferential path along the soil-pile
interface thereby eroding the soils and forming a gap around
the pile. Perhaps gap formation contributed to the concave
upwards lateral response curve measured in the test.
By the fourth load cycle, pile translational stiffness decreases
to nearly 1/3rd of the initial static stiffness and to nearly 1/7th
of the initial static stiffness after the seventh cycle. It is clear
that both gap formation and pore pressure generation
contributed to the reduction. Both the maximum moment and
the depth to the maximum moment increased somewhat
following blasting because of the reduced soil resistance. After
the blast, the maximum moment for a given load increased by
nearly 75% in comparison with the pre-blast value (Figure
15a). Prior to blasting, the maximum moment occurred at a
depth of about 4 m; however, after liquefaction, the maximum
moment occurred at a depth of 5.3 m.
Cooper River Bridge Load Tests
Located in Mount Pleasant, the Cooper River bridge pile load
test site is underlain by Recent alluvial deposits overlying a
Miocene age marine deposit, Cooper Marl at a depth of about
14 m. The idealized soil profile for the site is shown in Figure
16. Extending from the ground surface to a depth of 1.5 m was
loose, poorly graded, fine sand (SP) to silty sand (SM) with
some interspersed sandy clay layers. Underlying the surficial
sand deposit was a very soft sandy clay layer 1.0 to 1.5 m
thick which classified as CH material with an average natural
moisture content of about 106 percent. Underlying the clay
layer was loose, fine sand (SP) to a depth of 7 m, below which
is silty sand (SM) or clayey sand (SC) extending to a depth of
10.7 m. Underlying the silty sand layer and extending from a
depth of 10.7 m to the top of the Cooper Marl was a loose to
medium dense, poorly graded fine sand (SP). Cooper Marl
was encountered at about 14 m below the ground surface and
extended to a depth of 85 m. It is an over-consolidated, very
stiff, high plasticity calcareous silt or clay and generally
classifies as MH or CH material according to the Unified Soil
Paper No. 5.17a

Fig. 16: Soil Profile, In-Situ Test Results for Cooper River pile
test site (Weaver et. al. 2001)
Construction of the test shaft (Figure 17) was carried out by
advancing a 2.59 m diameter (OD) steel shell with 25 mm thick
wall 4.6 m into Cooper Marl followed by excavating the soil
inside the shell and advancing the hole to a depth of 47 m
without casing to allow for placing vertical reinforcing steel (36
#18 bars evenly spaced around a circle with a diameter of 2.13
m) and tremie-concrete. A 205 mm concrete cover was
maintained between the spiral reinforcement and the inside of
the steel casing.
The concrete had an average 30-day
compressive strength of 37,231 kPa. The drilled shaft was
instrumented with strain gages and accelerometers attached to
the reinforcement at various depths between 3.66 m and 27.9 m
below the ground surface. In addition arrays of piezometers
were installed at various distances and depth intervals from the
test shaft.
Shaft Length = 47 m
Shaft Diameter = 2.59 m
fy bar = 414000 kN/m2
fy casing = 248400 kN/m2
f'c = 37231 kN/m2
Fig. 17: Cross-section Details of 2.59-m Shaft (Brown and
Camp, 2002)
Cyclic lateral load tests were then performed on the instrumented
2.59 m diameter drilled shaft by applying a load on the pile head
0.53 m above the ground surface, both before and after inducing
liquefaction. Pre-detonation tests involved displacing the pile
head up to about 15 mm laterally. Liquefaction was induced
around the pile using explosives at radial distances of about 4 m,
4.5 m and 5.2 m from the test shaft and at depths of between 3 m
and 11.7 m below the ground surface.
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Table 2: Soil Parameters for Test Shaft MP-1, Cooper River Bridge, Mt. Pleasant
Average
SPT Blowcount
(blows per 0.3m)

Moist Unit
Weight
(kN/m3)

Angle of
Internal
Friction(deg)

Clayey Sand (SP-SC)

5

18.84

33-35

5*

24430

0.010

1.5 - 3.8

Sandy Clay (CH)

--

9.73

--

10

8140

0.010

3.8 - 7.0

Sand (SP)

6

9.73

30-32

5*

13670

0.003

7.0 - 10.7

Clayey Sand (SC)

7

9.73

30-32

6*

13670

0.003

10.7 -14

Sand (SP)

12

9.73

34-36

19*

19130

0.003

14- 50

Cooper Marl (CH)

15

10.20

--

190

--

0.002

Depth
(m)

Soil Type

0.0 - 1.5

Undrained
Modulus
Shear Strength
k
(kpa)
(kN/m3)

ε50

*Undrained Shear Strength for liquefied sand based on correlations with N-value by Seed and Harder (1990).
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Fig. 19: Comparison of predicted Post-Liquefaction Pile Head Response with that observed at Cooper
River Test Site
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Post-detonation cyclic lateral load tests were then performed
by applying a load of 2200 kN to the pile head for five cycles,
followed by a second detonation and another five cycles of
4400 kN applied at a rate of 100 sec/cycle. Further details of
the load tests are provided in Brown and Camp (2002).
Back Analyses: The shaft was analyzed using computer
program DFSAP and LpileplusV5 incorporating the soil
parameters assigned to various strata as presented in Table 2.
The shaft bending resistance (EI) estimated using LPILE and
DFSAP are shown in Figure 18. The EI values are generally
similar for the larger bending moments but differ somewhat in
the smaller range of bending moments. Hind-cast analyses
included using degraded p-y curves for sand, soft clay p-y
criteria with post-liquefaction undrained shear strength, field
measured p-y curves back-calculated from the Treasure Island
tests (Weaver, 2001) and the strain wedge model using
computer program DFSAP.

surmises that escaping water sought a preferential path along the
soil-pile interface thereby eroding the soils and forming a gap
around the pile.
Both the maximum moment and the depth to the maximum
moment increased somewhat following blasting because of the
reduced soil resistance. After the blast, for a given load the
maximum moment in the test shaft increased by nearly 50
percent in comparison with the pre-blast value (Figures 19e,
19f). Prior to blasting, the maximum moment occurred at a
depth of about 9 m; however, after liquefaction, the maximum
moment occurred at a depth of 13 m.
APPLICATIONS
Presented in this section are real world examples of applications
of the above described methods.
Leonard Zakim-Bunker Hill Bridge
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DFSAP ANALYSES
CRACKED EI
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Fig. 18: Bending Stiffness of 2.59-m Shaft.
Discussion of Test Results: The load vs. deflection curves
before and after explosion induced liquefaction are presented
in Figure 19. Pile translational stiffness after blasting induced
excess pore pressures decreases to one fourth the original
value. From Figure 19a it is evident that for the pre-blast case,
predictions using DFSAP and LPILE indicate pile head
deflections somewhat higher than the measured response,
probably because of approximations in the non-linear bending
stiffness curves. From Figure 19b it is evident that for the first
load cycle all predictions match the observed response
relatively well. Beyond a certain deflection level (25 mm),
soft clay p-y criteria predict a somewhat softer response than
observed. Predictions with the strain wedge model appear to
be quite close to the measured pile head response. For the
second load cycle none of the predictions for small deflections
seem to match the measured response. One reason for the poor
correlation appears to be gap formation. Once the p-y curves
in the upper portion of the pile are offset by the amount of
observed gap, the available methods would generally match
the observed response. Per the load test report, soon after the
blast, sand boils began to develop and water was observed
escaping around the pile. After the first five load cycles the
shaft had a permanent displacement of 40 mm. The author
Paper No. 5.17a

The Leonard P. Zakim Bunker Hill Bridge in Boston, consists of
a 429 m long and 56.5 m wide cable stayed bridge (Figure 20).
The towers located on the north and south banks of the Charles
River are 98 m high and are inverted-Y in shape. The
foundations for both the towers consist of 2.4 m diameter drilled
shafts with 2.3 m diameter rock sockets.
General subsurface conditions at the site consist of
miscellaneous fill consisting of 5 m of loose to dense sand and
gravel with some silt and clay and debris with SPT N-values
ranging between 2 and 37 and an average N-value of 16 blows
per 0.3 m, underlain by 2.5 m of soft to medium stiff Organic
Silt with SPT N-values ranging between 0 and 28 and an
average value of 8. The organic silt is underlain by a 3.7 m thick
deposit of Estuarine Silt, a very loose to medium dense silty fine
sand to fine sandy silt with N-values ranging between 2 and 15
and an average of 8 blows per 0.3 m, over 2.5 m of medium stiff
to hard marine clay with an N-value ranging from 16 to 55
blows per 0.3 m. Underlying the marine clay are the 9.5 m thick
Glacio-marine deposits, interbedded lenses of hard clay and
dense to very dense fine to coarse sand, with N-values from 24
to 133 blows per 0.3 m and an average of 60 blows per 0.3 m.
Beneath the glacial deposits at a depth of about 22 m is silty and
clayey argillite. Ground water was encountered at 1.9 m below
ground surface.

Fig. 20: Leonard P. Zakim Bridge, Boston (Wikipedia)
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Seismic design parameters for the bridge were established to
be Magnitude 6.5 and a peak ground acceleration of 01.7g.
Liquefaction analyses indicated that surficial fill and estuarine
silt were susceptible to liquefaction with factors of safety
against liquefaction well below 1 and the corresponding pore
pressure ratios on the order of 0.3 for the fill and residual
shear strength on about 15.5 kPa for the estuarine silt.
Comprehensive foundation analyses were performed using a
variety of techniques, including the soft clay p-y criteria along
with undrained residual strengths and the p-y degradation
coefficients for liquefied soils described in this paper. Further
details of these analyses are described by Soydemir et. al.
(1997).
Arthur Ravenel Jr. Bridge
Designed by Parsons Brinckerhoff, the Arthur Ravenel Jr.
Bridge, also known as the New Cooper River Bridge, is a
cable-stayed bridge over the Cooper River, connecting
downtown Charleston to Mount Pleasant in South Carolina.
Carrying eight lanes of traffic and a bike path, the bridge has a
main span of 471 m, currently the longest among cable-stayed
bridges in the United States and 175 m high diamond shaped
towers. Approach structures leading up to the bridge total 3.2
km in length. Each of the main piers of the cable-stayed
bridge is founded on eleven 3 m diameter drilled shafts,
extending down to 70 m below the mean sea level. The piers
of the approach structures are generally supported on a single
2.4 m or 3 m diameter drilled shaft foundation. The ramp
structures generally consist of single shaft foundations with
shaft diameters varying from 1.2 m to 3.66 m. The project
required more than 400 drilled shafts. Further details of
foundation design are provided in Castelli (2004).
The site is underlain by about 15 to 20 m of recent alluvial
deposits over 76 to 91 m of Cooper Marl. In some areas, 1.5 m
of miscellaneous fill has been placed. The recent deposits
consist primarily of loose to medium dense sand or very soft
organic marsh deposits. The underlying Cooper Marl is
characterized as stiff to hard calcareous silty or sandy clay or
clayey sand and silt (Castelli, 2004). Ground water was
encountered at 1.5 m below ground surface.
Located within one of the most seismically active regions in
the eastern US, the Cooper River bridge was designed for two
levels of design earthquake. The design safety evaluation
earthquake is a 2,500-year return period event with a moment
magnitude of 7.3 and seismic shaking intensity similar to that
in portions of California (a Peak Ground Acceleration of
0.65g).
Liquefaction analyses indicated that surficial fill and recent
alluvial deposits were susceptible to liquefaction with factors
of safety against liquefaction well below 1. Accordingly, for
seismic lateral load analyses of drilled shafts, p-y degradation
coefficients of 0.1 to 0.3 were used for liquefied soils. Further
details of these analyses are described by Wang et. al. (2004).
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Figure. 21: Ravenel Bridge, Charleston South Carolina
(Wikipedia)

CONCLUSIONS
Much of the uncertainty that remains with the seismic p-y
curves is directly associated with the stress-strain behavior of
liquefying soils, the occurrence of gapping and with the proper
selection of pile bending stiffness. Therefore, recommended
thrust areas for further research should include methods to
quantify and predict gap formation and the stress-strain behavior
of soils during and immediately after liquefaction and,
development of seismic p-y curves incorporating these stressstrain characteristics. In the course of these analyses it was also
evident that uncertainty in bending stiffness of the pile crosssection can lead to errors in pile deflection predictions and can
overshadow uncertainties in soil response. Moreover, available
methods for computing bending stiffness for composite sections
such as concrete encased in steel pipe are insufficient.
Therefore, further research should also include development of
methods to quantify non-linear bending stiffness of steel
encased concrete sections. The uncertainties related to the
available methods of analyses clearly highlight the importance
of pile load testing to assess site-specific pile performance and
the need for continued research in this field. The potential for
gap formation around the pile should be assessed during pile
load testing. For design purposes, the engineer should consider
the potential for gap formation in the upper several pile
diameters and accordingly incorporate it in the analyses. In
general, for design purposes, the engineer needs an estimate of
pile head displacement and magnitude and location of maximum
shear and bending moment. All available methods estimate pile
head displacement, shear force and bending moment adequately
in the range of displacement typically associated with
acceptable foundation performance. Two design case histories
of the procedures are also presented.
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